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ABSTRACT
More than 600,000 US bridges are considered to be in need of rehabilitation. More than
90 Billion US Dollars is the estimated amount of money required. According to the
National Bridge Inventory, 18.5% of those bridges are structurally deficient. Many
methods of rehabilitation have been sought out by engineers throughout the years.
Perhaps the most interesting of all solutions is utilizing external post tensioning cables to
add to the stiffness of the system. External post tensioning can be considered to be a
cheap solution that is easy to install, and easy to fix in the future. What has not been
discussed among engineers is the possibility of controlling the tendon force. Vertical
deflections could be monitored and assessed, and a consequent axial prestressing force
could be applied on the cables. This report investigates in detail the issues involved in
the design of externally prestressed tendons on a simply supported composite bridge of
specific properties, and touches on the reasoning behind active control and the
limitations that the current technology has.
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1.0 Introduction
The incidence of structural deterioration increases with age. This happens due to
many causes such as corrosion, fatigue, wear and tear, and other forms of material
property degradation. Perhaps also the most important factor in rendering a bridge
obsolete and in need of rehabilitation or replacement would be the increase in vehicle
loads and in the legal load limits. All these factors combined render a bridge incapable of
satisfying the structural requirements that are specified for new bridges.
In Australia, over 60% of bridges for local roads are over 50 years old, and over
55% of highway bridges are over 20 years old. As such, it is estimated that over US$300
million are urgently needed to strengthen or replace defective bridges in the Australian
State of New South Wales. In the United States, 596,842 bridges are rated as structurally
deficient. These constitute 40% of the nation's highway bridges. This means that these
bridges are restricted to light vehicles only. Some require immediate rehabilitation to
remain open. It has been estimated that US$90 billion are required to rectify the problem.
According to the National Bridge Inventory, 2042 highway bridges in the US were
rehabilitated in 2004 and 1051 were new/replaced bridges. (3)
1.1 Response to Demand
After laying all the facts as they are and as they have been occurring throughout
time, the need for an adaptable rehabilitation system seems to be the most appealing idea.
The problem in question is not simply that there is a high percentage of obsolete bridges
in the US or other countries, but rather that advancements do occur with time, causing the
functionality and strength of these bridges to be put to the test. Therefore, if we consider
that enough money was spent on rehabilitation of current bridges, and they were all
rendered fit to handle the AASHTO loading requirements and safety factors, will this
solve the problem on the long run? In a period of 30 to 50 years, will they not become
obsolete again due to deterioration factors or due to the aforementioned condition
changes?
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The suggested solution to the problem would be a system that is connected to the
bridge and helps it adjust its strength as needed. This system should be replaceable at a
cheap price. It should be installable on new as well as old bridges. The system will have
the ability to upgrade the bridge strength as required. This upgrade may be needed within
a small period of as low as several minutes, or might be needed less often.
After thorough investigation, the idea of using prestressed cables was thought to
be a good solution. Although prestressed steel might be more commonly known as
internal steel, it is not uncommon to use prestressed steel on the exterior of structures,
having similar although not the exact effect on functionality. However, externally
prestressed steel cables have been used on structures for many years. What makes this
suggestion more interesting is the fact that this report will discuss the possibility of
actively controlling the cables. The control would be enforced by activators connected to
special jacks. These activators would be connected to sensors on the bridge. The sensors
would read the deflection at different locations. According to the severity of the
deflection, the system would force the jacks to pull on the steel, thus adjusting the
prestressing force on the bridge, and rendering it stiffer and capable of handling much
higher loads.
The aforementioned system works in two possible scenarios. The first scenario is
the short run. The bridge is utilized by many different vehicles. These vehicles range in
type, size, and most importantly weight. The heavier the vehicle, the more deflection it
would induce on the bridge and thus more resisting strength would be needed. The
scheme can now be used to fix this problem. The second scenario is the long term system
deterioration that was described earlier. New loads and new strength requirements will be
introduced in the future. One of the most important upgrades that would be needed from
the bridges is an increase in their strength. This increase can be achieved by either
upgrading the whole system, or by replacing the bridge. The actively controlled
prestressed steel cables that were described would then be an important asset in adding to
the overall bridge stiffness and fixing the problem, without having to use a specialty
contractor every time.
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1.2 Assessing Infrastructure Deficiencies
There are many factors that can point out a deficient bridge. These can be put into
two main categories, namely condition rating or appraisal rating. Condition ratings are a
measure of deterioration, section loss, excessive cracking, scour, and other conditions,
that can be observed and estimated during the actual bridge inspection. Environmental
effects and wear due to traffic intensity cause such deterioration effects. As for appraisal
rating, they relate the rating goal to either average daily traffic (ADT) or functional class
of the route. A combination of these two factors will give the highway bridge its present
rating or grade. This means that a bridge serving an interstate highway will get a lower
rating than a county bridge with similar deficiencies and characteristics. These ratings
vary from 0 (being a bridge that is closed) to 9 (being a bridge that is superior to the
desirable criteria). (3)
The FHWA (Federal Highway Administration) provides national leadership for
the management and operation of the surface transportation system. Congestion
management, intelligent transportation system development, traffic operations,
emergency management, and freight management and operations are some of the
responsibilities of the FHWA. In order for a highway bridge to qualify for the FHWA
funding, it has to meet either one or both of the following two classifications:
1.2.1 Structural Deficiency: This Bridge has been either restricted to light load
only, is closed, or requires immediate rehabilitation. The national Bridge Inventory (NBI)
has rating items that help in classifying certain deficiency parameters. A bridge with one
or more low rating in either one of the following NBI items would classify as structurally
deficient.
o Deck (NBI Item 58)
o Superstructure (NBI Item 59)
o Substructure (NBI Item 60)
o Structural Evaluation (NBI Item 67)
o Waterway Adequacy Appraisal (NBI Item 71)
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1.2.2 Functional Obsolescence: Similar to the structurally deficient criteria,
functional obsolescence requires the bridge to meet certain NBI standards to be
considered as functionally obsolete and therefore to qualify for the FHWA funding, it is
worth noting that a bridge that has been considered as structurally deficient is directly
excluded from the functionally obsolete criteria, although it might have appraisal ratings
that will also classify it as functionally obsolete. Following are the NBI criteria items for
functional obsolescence.
o Structural evaluation (NBI Item 67)
o Waterway adequacy appraisal (NBI Item 71)
o Deck geometry (NBI Item 68)
o Under clearances (NBI Item 69)
o Approach roadway alignment appraisal (NBI Item 72)
If we combine all kinds of deficiencies that are considered in the NBI standards,
we realize that the most common deficiency is the deck geometry appraisal.
Approximately 22.5% of all bridges are rated as deficient in terms of deck geometry
requirements. The second most common deficiency is the Structural Evaluation Appraisal
(SEA). This counts for 18.5% of all deficient highway bridges in the US. This item is of
main interest to this research because an SEA can be associated with the need for
strengthening. The percentage of deficient bridges that have received low points on SEA
has been decreasing with time. This can be explained by the fact that structural
deficiencies increase with age. With time, vehicle loads increase, structural elements
deteriorate in health, and codes get changed. All these factors contribute to the
deterioration in structural appraisal of the bridges. Figure 1 shows the percentage of SEA
from the total deficiency rating and the decrease in the SEA over time from the 1930's till
1992. (1)
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Figure 1: NBI Item Deficiency Percentage, and its change with Time (1)
Different bridges are constructed with different materials. The deficiencies of
these bridges depend in a large part on the material that the bridge is composed of. This,
on the other hand, is also highly dependent on the location and the owner of the bridge.
Generally, more than 95% of deficient bridges are owned by counties. County owned
bridges constitute more than 50% of the total highway bridges. These are built at lower
standards than other highway bridges. To some extent, the funding of these bridges is
much lower than it would regularly be to a similar bridge, owned by the state. Counties
usually have easy access to some scrap steel and timber, and would use that material in
the construction of their bridges. Since steel is relatively easier to design and construct as
opposed to concrete, or prestressed concrete, counties rely on local expertise in the
process of erecting these bridges, from perception to execution. This, in addition to the
fact that these bridges are rarely maintained, creates a very high deficiency percentage
among steel bridges in the US as compared to concrete or prestressed concrete bridges.
According to the NBI, 4% of constructed or reconstructed bridges are structurally
deficient, mostly on the basis of SEA. Almost 19% are functionally obsolete. From 1980
to 1992, there has been an increase in the percentage of steel bridges that are considered
functionally obsolete. (1)
It is worth noting that highway bridges that were built without federal funding
were not required to meet federal standards. State and local funding follows highly
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diverse policies. This encourages to a large part low standards in design and construction
of these bridges.
1.3 Structural Failures: Case Studies
Failures play an important role in the evolution of engineering. When a major
collapse occurs, it can be studied to avoid future problems of the same nature. Pushing
the edges of technology, to make a structure taller, longer, or bigger creates certain
unanticipated difficulties in the design and construction of this structure. If these
difficulties are not properly studied and if necessary testing was not conduced prior to
design/erection, then the engineers would be working in a vague uninhibited
environment. This puts the project at a high level of uncertainty, which should not be
accepted or dealt with in the realm of civil engineering. Analysis of engineering failure
examines the technical causes and the different decisions that led to the failure. This acts
as a catalyst for changes in standards of practice and creates an opportunity for
establishing better practices for the future.
The case study of three major bridge collapses will be briefly presented next. The
first case will emphasize on the importance of testing as a crucial element of the design
and construction of a project with an unprecedented technological breakthrough in civil
engineering. The second will highlight the importance of connection design detailing.
The third case study deals with an externally prestressed rehabilitated bridge that
collapsed soon after.
1.3.1 Quebec Bridge Collapse
It forms a major link in the Canadian railway system. It was designed to be the
longest cantilever bridge in the world. It had a main span of 548.6m. The suspended span
was to be constructed by cantilevering the south and north spans halves out over the
crossing, joining the span in the middle. On the afternoon of August 28, 1907, while the
fourth panel of the southern portion of the suspended span was being erected, the entire
19 ton south superstructure collapsed, killing 82 workers.
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The first interesting fact about the conditions that the Quebec Bridge was being
designed upon was that the project was in a financially tight position, and the engineer
was instructed to save as much money as possible on every aspect of the process. The
Phoenix Bridge Co. were awarded the contract because they offered the cheapest bid. The
design engineer that was awarded the responsibility of the project was carefully
instructed to try and make sure that financial concerns should be essential.
Cooper, the structural engineer in charge of the project, made changes to the
design. He increased the length of the cantilever spans and set working stresses of
compression and tension members at an extreme of 165 MPA. This was well beyond the
contemporary standard practice. No tests were performed to check for the viability of the
structural innovation that was utilized in the bridge. Dead weights were not recalculated
based on the revised specifications. The first indication of trouble arose in February of
1906. It was discovered that the analysis underestimated the actual weight of the structure
by 17%. This caused an increase in the stresses by 10% approximately. Cooper approved
the increase in stresses, even though his original allowable stresses where very high in the
first place. In the summer of 2007, the consequences of the high stresses where beginning
to become apparent in the structure. Some compression members showed distortion in
their straightness. One member in particular showed 57mm distortion, which proves that
buckling is inevitable. On the 29th of August 1907, the bridge collapsed. (2)
The technical cause of the collapse of the bridge was attributed to the buckling of
two compression cords. These two members were very large in dimension and were
designed to carry loads of 22,000 kips. These were built up sections that were created by
joining smaller built up sections together. The design of the latticing of these massive
structures was achieved by using empirical formulas based on column tests conducted 20
years earlier on far smaller columns. No efforts were made during the design to justify
the extrapolation of previous practice. (2)
The Royal Commission of Inquiry assigned the full responsibility of the collapse
to the design engineers led by Cooper, and considered that their negligence and their
haphazard change in design details without reassigning the proper dead weights was the
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primary reason behind the whole collapse. For the second attempt at building the bridge,
the Canadian government took over the project.
The American Association of State Highway and Transportation Officials
(AASHTO) was founded in 1914, and the American Institute of Steel Construction
(AISC) was founded in 1921. Although their foundation was not associated with the
Quebec Bridge disaster, their existence changed the way the professional environment
handles projects of such magnitude, making mistakes of such nature unlikely to happen.
The funding of such projects occurs without requiring a single company to shoulder the
entire research cost. These institutions also create and publicize codes of practice for steel
design, fabrication and construction. As for column strength and capacity, empirical
formulas continued to be used as the primary method of design, up until the 1950's when
it was realized that the tangent modulus was the proper strength criteria, and that the
residual stresses play a significant and quantifiable role in the process.
1.3.2 Kansas City Hyatt Regency Walkway Collapse
The general layout uses an atrium forming a spacious open lobby. This was
crossed by three walkways. Each walkway was suspended by six steel rods that are
approximately 3 cm in diameter each. The rods of the middle walkway were connected
directly to the roof. The rods of the lowest of the three walkways are connected to the
highest walkway which is in turn connected to the roof, putting them on the exact same
plan position (Figure 2). On the evening of the 17 th of July in 1981, the supports of the
fourth floor walkway gave way, causing it to buckle into three sections, and to fall onto
the second floor walkway. The collapse happened during a dance contest that was held,
where 1500 - 2000 people where attending. More than 50,000 kg of debris fell on the
dancers below, causing the death of 114 people and the injury of 185 others. This was the
worst structural failure in terms of lives claimed in the history of the United States. (2)
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Figure 2: Hyatt Regency Hotel Walkway Distribution
The hanger rods were connected to the box sections that functioned as the cross
beams for the floor framing. Originally, the rods that were connected to the 4t floor
walkway were supposed to go straight down to the 2nd floor walkway (Figure 3).
Eventually what happened was that the rod connecting the two walkways was
discontinued at the level of the cross beam of the 4th floor walkway as can be seen in
Figure 3.
Figure 3: Original vs. adopted Rod-Beam connection (2)
The change that was implemented to the system forced the cross beams to carry
the whole weight of the 2 "d floor walkways, and therefore created two serious problems.
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The first is an increased shear load in the cross beam between the two connections, and
the second is simply the connection itself. The cross beam is created by welding two C
Beams together, and the connection is at the exact location of the weld.
At the time of the collapse, the 4t floor walkway remained attached to the roof.
Apparently the original connection was inadequately designed to carry the loads applied,
and the changes applied to the system doubled the loads on that area.
The damage awarded to victims and their heirs amounted to several times the
$50,000,000 costs of building the entire structure. The need for improved performance
was recognized, especially in the areas of detailing and connections, fee levels, and
building envelope design and construction. (2)
1.3.3 The Koror-Babeldaob (K-B) Bridge Collapse
The K-B Bridge was situated in the Republic of Palau. It linked the two islands of
Koror and Babeldaob, and it replaced a cable guided ferry. The bridge was designed in
1975, and construction was finished in 1977. It was a prestressed concrete box girder
cantilever bridge with the longest span in the world. The main span was 240.8m long,
whereas the side spans where 53.6m each. Figure 4 shows the general layout of the
bridge. Note the shear connection at the center of the span. This is designed to transfer
vertical and lateral shear forces across the two cantilevers, but allows for movements due
to creep, shrinkage, and thermal changes. It is a tongue and grove type of connection.
53.6 120.4 120.4 53.6 (M)
Circular verical profile ShW tafer joint
Figure 4: General Layout Design of the K-B Bridge (6)
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The layout of the longitudinal tendons was approximately triangular (6). Near the
piers, the top slab had to be thickened to accommodate the large number of tendons. The
thickness of the slab decreased as the number of tendons decreased. The longitudinal
prestressing force at the main peers was 182.4 MN. Analysis of the system proved that
the prestressing force compensated for the bending moment induced due to the dead load,
and provided a uniform compressive stress distribution at the ends of the segments. The
roadway, that was constructed afterwards, led to negative bending moments.
Creep, shrinkage, and relaxation led to a change in the stresses between the top
and bottom flanges, which eventually led to an increase in the section overall deflection.
In 1996, the central span had already deflected approximately 1.2 m. ABAM Engineering
examined the bridge, and recommended a strengthening of the bridge by adding external
post tensioning cables. The original design required a sum of 40 cables.
Between 1995 and 1996, VSL Contractors changed the alternative approach to
design the cables. Instead, they installed 8 external post tensioning cables, continuous
across the main span hinge, with a total tensile force of 35.6 MN. The once balanced
cantilever structure was now converted into a continuous one, by connecting the two
halves using the external prestressing cables. The tendons are deviated at the center of the
span in order to reverse the stress at the end of the cantilevers. The jacking operation
induced additional compressive axial forces on the structure.
On the 2 6 t of September, 1996, three months after the rehabilitation was
completed, the K-B Bridge suddenly collapsed without any warning. It was suspected
that the slab was completely destroyed at the pier site, and might have lost its capacity to
resist the compressive forces at that area. After the failure of the top deck of the slab at
that area occurred, the whole thing collapsed progressively due to lack of redundancy.
Explanations behind the exact method of the collapse varied, although most of the
engineers agreed on the fact that the main reason could have been the change in the
structural system that the rehabilitation process induced. When the two cantilevers were
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supposed to act independently, the prestressing cables caused the whole behavior to
change by forcing both sides to work together.
1.4 Case Studies: Lessons Learned
The use of external prestressing requires connecting the steel cables under the
bridge structure. In light of the aforementioned case study that describes the Hyatt bridge
incidence, it seems that carefully examining the bridge - steel connection would make
more sense. The connection itself will stabilize the force applied through the cables, and
transmit it to the structure. For this reason, careful care should be taken in adequately
designing the connections. The problem with actively controlling the tendons is that a
jack would have to be connected to them at all times. This means that the jack itself
would be connected to the girder instead of a regular bracket. The design of the
connection that links both systems together should therefore be considered in detail. As
for the jacks themselves, they are considered as an important advancement in structural
engineering. They will not be disassembled after tensioning the cables. These jacks
would have to be engineered to carefully react to the signals transmitted by the activators,
and transform the signal into mechanical power. This whole system brings with it
uncertainty. Time delays cause errors in operation and render the rehabilitation system
destructive instead of being helpful. Engineering innovation is a necessary factor for the
advancement of such a project. This amplifies the severity of the situation. In the case of
the hydraulic jacks that are to be utilized for the operation of the system, the uncertainty
comes in the mechanical aspects, rather than structural. For this reason, it was considered
that looking at the matter in further depth and assessing the uncertainties and dangers of
utilizing actively controlled jacks in the system will not be dealt with within the scope of
this research.
External post-tensioning, as a method of strengthening existing bridges, has both
advantages and disadvantages. Careful consideration is required before an effective
strengthening system can be devised. The recent collapse of the Koror- Babeldaob, bridge
in Palau near the Philippines shortly after it was strengthened using this method indicates
the importance of such considerations (NCE 1996). If the bridge is a concrete structure,
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availability of cracked sections should be inspected before using external prestressing. In
the case of the K-B Bridge, the concrete was proven to have been cracked before the
rehabilitation. Many engineers considered that this might have been the reason behind the
collapse. The cracked concrete could not handle the compressive axial force that was
added to the slab (6). The idea of an actively controlled externally prestressed cable
might serve in mitigating this risk. The cables will only be prestressed to the required
axial force that the applied load induces.
2.0 External Prestressing
Prestressing is a deliberate phenomenon aimed at creating internal stresses in a
material to counter balance stresses caused by external loads so as to improve
performance. It has been established that prestressing cables will be utilized and actively
controlled. This section will briefly describe the difference between the types of
prestressing, with emphasis on the positives and negatives of external prestressing. A
detailed design procedure will also be illustrated.
2.1 External vs. Internal Prestressing
External prestressing was initially developed for bridge strengthening. Therefore
if an existing bridge needed some additional strength to carry the increased load and to
overcome fatigue of the elements, external prestressing is the best, most economical
solution to go about solving the problem. Nowadays, however, it is used for new bridges,
particularly for precast or cast-in-place concrete segmental bridges. It is worth keeping in
mind that internal prestressing of concrete bridges provides for the possibility of laying
the cables in a parabolic fashion, which is the optimal way of dealing with the moment
diagram that is generated upon application of the loads. This, however, is not possible in
external prestressing. The following two sections highlight the most important
advantages and disadvantages of external prestressing by comparing it to internal
prestressing.
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2.1.1 Advantages of External Prestressing
In general, when using external prestressing cables, the weight of the required
concrete or steel sections would be significantly reduced, which in turn reduces the dead
load applied on the structure, which would in turn cause a decrease in the depth of the
structural members. In the case of concrete sections, partial or full elimination of internal
tendons (deadweight reduction) would result due to addition of the external cables, and
this would also affect the total required depth of the section, which when reduced would
one more time reduce the applied dead load on the system. Therefore external
prestressing combines the effect of two reductions in element depth. The first is due to
the fact that the element is being prestressed, and the second is because of the fact that the
internal tendons are removed. Another structural advantage would be friction losses.
Those are significantly reduced when resorting to external prestressing as opposed to
internal prestressing, because external cables are linked to the structure only at the
deviation and anchorage zones. (4)
On the construction and rehabilitation aspect of external prestressing, it is worthy
of noting the following advantage: the main construction operations, concreting and
prestressing, are more independent of one another. Therefore, the influence of
workmanship on the overall quality of the structure is reduced. As for rehabilitation and
maintenance, profiles of external tendons are fairly simple and easy to check during and
after installation. With age, these cables will loosen up due to many intervening factors.
Since they are external, readjusting the grip on the jacks should be a simple application.
The cables can be re-stressed provided sufficient length of tendon is left behind the
anchorage of the jack. Re-stressing can be carried out with minimal disruption to traffic,
provided account is taken of the reduced strength when the stress in a tendon is reduced.
Thus any stress losses due to creep, relaxation, or corrosion, can be mitigated. External
tendons can be removed and replaced if the corrosion protection of the external tendons
allows the release of the prestressing force (for instance, tendons made of individually
lubricated sheathed strands). In short, externally prestressed cables can be easily
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maintained, replaced, or re-stressed when the need arises. All three processes are simple,
fast, and cost effective, with minimum or no disruption of traffic (4)
2.1.2 Disadvantages of External Prestressing
Perhaps the most apparent disadvantage of utilizing external prestressing cables is
simply that they are external. These are more easily accessible than internal ones and,
consequently, are more vulnerable to sabotage and fire. This can be of particular interest
in the United States, after the events of September 11. External tendons are subjected to
vibrations and, therefore, their free length should be limited. The most apparent way to
limit the free length is by adding an anchorage or deviation connection. This will in turn
induce friction contact losses and will therefore reduce the effectiveness of the cables. To
mitigate that effect, saddles inside the deviation zones, made of metal tubes or sleeves,
should be precisely installed. This will also help avoid damage to the prestressing steel.
These elements, however, must be designed to support large longitudinal or transverse
forces, and their connection to the cross section usually introduces shear transfer in the
form of concentrated loads acting on the cross section. These elements should be
carefully detailed and adequately reinforced. In the case of internal grouted tendons, the
long-term failure of anchor heads has limited consequences because prestressing may be
transferred to the structure by bond. In the case of external tendons, the behavior of
anchor heads is much more critical (Bastien ET al. 1991). Failure of the anchor head of an
external tendon means a complete loss of prestress force in that tendon. Therefore, anchor
heads should be carefully protected against corrosion. (5)
At ultimate limit states, failure with little warning due to insufficient ductility is a
major concern for externally prestressed structures. For new bridges built with precast
segments, part of the total prestressing may be internal to improve the ductility. As for
newly constructed steel bridges, or rehabilitated bridges, this issue is more important.
Structures where people's lives are at hand should leave no room for abrupt explosive
destruction. Durability should be addressed carefully, and redundancy should also be
implemented into the bridge (4). Sometimes the tendons would have to be installed
beneath the girders. This may be critical, in railway bridges. If the bridge is road over
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road, the tendons can be damaged by high vehicles passing under bridge. The method
should only be adopted if there is sufficient clearance to ensure that this is an unlikely
event.
Figure 5 below shows a good comparison can be made between external and
internal prestressing of a box girder. For aesthetic and functionality reasons (preventing
corrosion), the external prestressing tendons are located inside the girder space, as
opposed to being located outside. This affects the eccentricity of external prestressing and
therefore looses some of the power that can be otherwise achieved.
Figure 5: Internal vs. External prestressing
2.2 Design Methodology of Prestressing Cables
In the past years, several state legislators have passed legislations that
significantly increased the legal loads in their perspective states. As a result, a large
number of continuous-span composite bridges are not adequate for today's design loads.
Frequently strengthening can be a cost effective alternative as compared to replacing the
bridge. External prestressing can be used for rehabilitation of determinate and
indeterminate structures, if properly used. An increase in the axial force imposed on the
cables will cause an increase in the load carrying capacity of the bridge. In general a
basic rule of thumb can be used for quantifying the effects of prestressing:
Prestressed Concrete (PC) = Reinforced Concrete (RC) + External Eccentric Axial Force
In the majority of flexurally overstressed bridges, the exterior girders are smaller
than the interior ones. The best rehabilitation technique that can be utilized would be to
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add post tensioning cables on the positive moment regions and a truss superimposed at
the piers to provide resistance against the negative moment regions. Tendons are
connected using brackets attached with high strength bolts. In most cases, the tendons are
located above the bottom flange of the girder to protect it against vehicles or floating
debris that would pass underneath. The scope of this research will cover the external
prestressing tendon design. Wheel load fraction distribution are provided by AASHTO
officials in 1989 aid the designer in determining the vertical load distributed to every
girder on the bridge (11). The lateral stiffness in the deck and the diaphragms result in the
transfer of a significant amount of the stresses from the regular girders to the
strengthened ones.
A simple design methodology for use by a practicing engineer will be presented
next. The design methodology is based on dividing the strengthening system into a
number of separate schemes. In each scheme, post tensioning is applied so that symmetry
is obtained. When designing the system, the schemes can be simultaneously applied to
determine the required stress reduction at the various locations. Figure 6 shows the five
different strengthening schemes that are to be used in the rehabilitation process. Scheme
("e" introduces the truss structure at the supports.
The axial force and moment diagrams that result from the strengthening scheme
are then produced, and the critical locations of each are identified. Design will then be
totally dependent on the value of the moment and axial force on those locations.
a b
c d
e
Figure 6: Strengthening Schemes
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Several idealizations are necessary to determine the girder axial force and
moment diagrams after post tensioning:
1. The moment can be determined by analyzing the bridge as a two dimensional
beam. The strengthening force on the bridge is taken equal to the total axial force
on the individual girders. Similarly, the beam moment of inertia at a certain
location is taken equal to the total moment of inertia at that location.
2. The axial force and moment diagrams at each locations are to be idealized as a
number of straight line segments
The axial force or moment distribution factors at the critical sections are key
elements in the design process. These can be obtained by using the following formula:
. ForcelMoment in strengthened Stringer (12)Force / Moment Distribution = (2
Total force on the Bridge
More than 2400 bridges of certain specifications were analyzed using the Finite
Element Model, and the results of which were used to perform a sensitivity analysis and
obtain parameters that significantly affect the axial force and moment fractions. This
analysis was necessary in the sense that the obtained formulas can thereon be used as
standard formulas for any type of bridge that falls in the range of specifications as the
analyzed bridges. The formulas were developed for the standard Iowa DOT V12 and V14
series. They can be utilized in the design process to be discussed and they can be trusted
to have a high degree of accuracy. The parameters investigated include bridge length,
angle of skew, end-span to center-span length ratio, deck thickness, girder spacing,
moment of inertia of the girders, and the ratio of the post tensioned portion of the span to
the span length for the various aforementioned strengthening schemes (11). Statistical
tests were performed to determine the effect of the different parameters, and it was
determined that the ratio of the center-span to end-span, angle of skew, and the moment
of inertia of the girders were found to have insignificant effect on the calculations. The
other factors were found to have a more critical effect on the axial force and moment
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fractions and were therefore required in design calculations. Following are the utilized
formulas as they are put in the form of dimensionless parameters (12):
XL = 0.017 X Total Bridge Length +0.3
Girder Spacing
= 9.000 Deck Thickness
Girder Spacing
Length of Posttensioned Portion of End Span
Length of End Span
Length of Posttensioned Portion of Center Span
X2 =1.500 x
Length of Center Span
= 1.500x Length of Superimposed Tendon
Length of End Span
The different formula range occurring in the latter is larger than in the former.
The total error, however, is minimized since the moment fractions have the greater effect
on the final girder stresses. Although these ranges that might occur are small, their
collective effect can lead to a large error. There are mainly three important sources of
these errors (11):
o Analysis of a given bridge as a continuous beam with varying moments of
inertial. This was one of the major assumptions that are going to be used
in the design process.
o Idealization of the force and moment diagrams. This was the other
important simplification that would help make the design easier.
o Post-tensioning losses such as steel relaxation, concrete creep, temperature
differential between the bridge and the tendons, and anchor seating.
Due to the complexity of the design procedure, and the intensity of the formulas,
it is difficult to account for these errors in the regression formulas. It is therefore
recommended that the strengthening force be increased by a value of 8% after the design
process is completed to be conservative. Figure 7 shows the design steps that will be
adopted later on.
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Figure 7: Design Procedure for Strengthening System
Following is a summary of the design procedure as given by Arabaty and Klaiber
1996 (11):
1. Determine section properties of the exterior and interior stringers for the following
sections:
" Steel beam
" Steel beam with cover plates
" Composite stringer (steel beam + deck)
" Composite stringer with cover plates (steel beam + cover plates + deck)
2. Determine all loads and load fractions for exterior and interior stringers for:
o Dead load
o Long-term dead load
" Live load and impact
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3. Compute the moments and stresses in the exterior and interior stringers due to:
o Dead load
o Long-term dead load
o Live load and impact
4. Compute the overstresses at the critical-section locations to be removed by
strengthening.
5. Make an initial assumption on the strengthening schemes required, tendon lengths,
and bracket locations (these values are used to compute the initial force and moment
fractions)
6. Determine the post tensioning forces and the vertical truss forces that produce the
desired stress reduction at the critical sections
7. Check the final stresses in the exterior and interior stringers at various sections along
the length of the bridge.
8. Increase the strengthening design forces by 8% to account for the aforementioned
losses and the errors.
2.2.2 Experimental Analysis
Kiang Hwee Tan and Robert Tjandra presented in their paper the result of an
experimental analysis conducted on 12 different beam samples (9). The results highlight
the importance of many different factors in the prestressing efficiency. Tests were carried
out to study the effect of tendon type, strengthened regions (positive and/or negative
moment regions), tendon profile, and loading pattern on the flexural behavior of the
beams. Perhaps the most interesting element in their research was the fact that the breams
were statically indeterminate. The effect of creep and shrinkage is not addressed because
it was assumed that the beam has matured by the time that the external tendons are
installed.
Twelve two span continuous T-Beams were fabricated in a similar manner. The
concrete properties and reinforcing steel distribution were the same in all twelve samples
(Figure 8). One of the beams was loaded without strengthening. This one serves as a
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reference beam. Two different tendons were used in prestressing; the first being 7-wire
steel strands, and the second CFRP cables. The former had an ultimate tensile strength of
1900 MPa while the CFRP cables had a tensile strength of 1868 MPa. The modulus of
elasticity of the steel cables was also higher than that of the CFRP cables (195 GPa vs.
139 GPa) (9).
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Figure 8: Concrete Dimensions and Steel Configuration (9)
Six of the beams, namely MCBC-1, MCBC-2, MCBC-3, MCBS-1, MCBS-2, and
MCBS-3 were stressed with short and straight tendons, anchored within spans. Beams
with a "C" in the name were prestressed using CFRP tendons, whereas beams with an
"S" in the name were strengthened with steel cables. Beams 1 were strengthened at the
positive moment location only, beams 2 were strengthened at the negative moment
location only, and beams 3 were strengthened at both locations (Figure 9).
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Figure 9: Tendon profiles for the 12 different beams
The CFRP tendons had a diameter of 10.5 mm and a cross sectional area of 55.7
mm2. The steel cables had a diameter of 9.5 mm, and a cross sectional area of 55 mm2.
All the tendons were stressed to an approximate 950 MPa (50% of the capacity) (9).
The last five beams were strengthened using external tendons of various profiles
(Figure 9) C1 had a pair of straight steel tendons one each side. The purpose of the
bottom tendon is to act against positive moments, whereas the top tendon would
strengthen the beam's internal support. C2 and C2L had a continuous draped profile of
steel cables placed around 6 deviators. The difference between the two was that beam C2
was loaded symmetrically, whereas beam C2L was subjected to 3 times the load on one
side than the other. Beams C3 had steel cables that were arranged parabolically. The
tendons were overlapped at the middle so as to cover both negative and positive moments
in the beam. It was recognized that a parabolic arrangement of tendons was difficult to
implement in practice, but the results of the tests would give a clear idea on the effect of
parabolic profiling of prestressed cables in a beam. Beam C3F had steel cables installed
on one end of the beam, and CFRP tendons on the other. They were both arranged in a
parabolic profile, but would not overlap at the middle. The same prestressing force of 52
KN was achieved in both tendons of C3F by changing the dimensions and stress applied
to the steel and CFRP tendons. Figure 9 describes more elaborately how the prestressing
tendons were arranged in the twelve different beams utilized in the experiment (9).
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All beams were tested to failure. Differential transducers mounted on the external
tendons, accompanied with electrical resistance strain gauges that were fixed to the
internal reinforcement, and held hand microscopes to measure cracks in the concrete
were all used in collecting data from the different experiments. The outcome of the
experiment is used to explore the effect of four different elements on the efficiency of
prestressing. The four elements are tendon material, strengthened region, tendon profile,
and loading pattern. Following are the obtained conclusions on all four elements:
1. Deflection characteristics and tendon stress variation between the CFRP tendons
and the steel cables was compared using the results obtained from the first six
beams. It was recognized that all beams failed with sufficient ductility following
the yielding of the reinforcement steel at the critical sections. Despite having
lower modulus of elasticity (139 GPa vs. 195 GPa), CFRP tendons proved to have
a response very similar to that obtained by the steel cables.
2. Beams MCBC1, MCBC2, and MCBC3 were compared to conclude on the effects
of strengthened region. All three beams were prestressed with the same material.
MCBCl's tendons covered the positive moment regions, MCBC2's covered the
negative moment regions, and MCBC3's covered both regions. Using the
obtained data on the ultimate load capacity of all 3 beams, it was concluded that
MCBC2 had a 13% increase in strength capacity as compared to CO (non
prestressed). However, the test also proved that strengthening the positive
moment region provides even more strength resistance. Strengthening both
regions gives an optimal resistance capacity. Figure 10 summarizes the
aforementioned results and clearly shows the quantifiable difference between the
three beams.
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Ultinmate Service load. MIax. deflection
load, P, Strengthening P under serviCe load
Beam (kN) ratio, (kN) (mm)
CO 368 1.00 216 6.1
MCBS-Ia 358 N/Ae 211 5.6
MCBS-2 416 1.16 244 5.6
NICBS-3 526 1.47 309 5.1
MCBC-1 484 1.35 285 6.4
MCBC-2 404 1.13 238 6.1
MCBC-3 529 1.48 311 6.5
C1 490 1.33 288 5.4
C2 478 1.30 281 4.8
C2L 357 N/AC 210 6.2
C3 531 1.44 312 6.1
C3F 479 1.30 281 4.1
Figure 10: Ultimate load and maximum deflection for all 12 beams (9)
3. The load vs. deflection characteristics of beams CO, C1, C2, C3, C3F, and
MCBS3 were recorded and graphed.
a. The first observation was that beam MCBC3 had more ductility and a higher
ultimate load capacity than beam Cl. This means that local prestressing for
the specific moment resistance gives better results than continuous
prestressing.
b. C2 and C3 showed better failure characteristics as compared to Cl. This
means that failure was more ductile. This proves that a draped profile (C2)
or a parabolic profile (C3) both offer enhanced performance.
c. Comparing C3 and C3F, where the difference is the overlapping of the
tendons in the compression zone, proves that covering the negative moment
area not only gives higher ultimate load capacity, but also results in a more
ductile response.
d. On average the strength gained due to prestressing was more than 30% as
compared to CO.
4. Beams C2 and C2L had the same tendon profile configuration. The only
difference between the two was that C2L was not symmetrically loaded. C2L
experienced three times more load on one half of the beam than the other half. As
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a result, C2L experienced reduced stiffness in the section as compared to C2. This
should be considered as a very important element in practical engineering simply
because the luxury of getting symmetrical loading on a bridge is not very
common.
According to Hwee and Tjandra, the flexural response of a two span continuous
beam can be characterized by five regimes (9). Initially it is uncracked, and the beam
would have maximum positive and negative moment resistance. The second major event
in the life history of a beam occurs when the cracks appear at the most critical sections.
At that point it can still be assumed to have elastic behavior. The next major event occurs
when the reinforcing steel starts to yield at the tensile side of the critical section. A plastic
hinge is then assumed to have occurred, and causes the occurrence of another plastic
hinge at the other critical section, which is the fourth regime. The fifth and final regime is
reached when the extreme concrete fiber attains a strain of 0.003.
Steel-concrete composite beams prestressed with high strength cables have
demonstrated several major advantages as compared to normal non-prestressed
composite beams. They have also proved to have an increased ultimate resistance, less
deflection under service load, higher crack resistance for the concrete. They also have
proved to improve the fatigue and fracture behavior. Steel-concrete composite
construction has been the most common means of bridge design for the past 30 years. It
makes most sense to understand the effect of prestressing.
Two specimens BS 1 and BS2 were studied by Shiming Chen and Ping Gu in 2004
(7). Beam BS 1 was tested for 2 stages. In the first stage, it was not yet prestressed. It was
loaded continuously until the bottom flange of the beam yielded, and until nonlinear
behavior was observed in the load-deflection curve. The beam was then unloaded. Later
the prestressing cables were installed, and in stage 2, the beam was loaded again until
failure.
The two specimens had similar dimensions, and properties. They were designed
with a span/depth ratio of 13.9, and slab/width ratio of 0.22. Both specimens had a
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concrete slab working compositely with a steel beam, and two prestressing cables
connected to both sides of the beam. The steel top and bottom flanges were 120x10 mm
and the web was 250x6 mm. Their total length was 5150 mm, and they were supported
on 5000 mm simply supported span. The concrete slab had a thickness of 90 mm,
spanned 1100 mm across, and had a length equal to that of the beam. It was compositely
connected to the top flanges by means of shear studs. It was also reinforced by 8 mm bars
in both directions. Two pairs of bearing stiffeners were installed at the supports to protect
the steel beam. The prestressing bars were connected 30 mm above the bottom flange,
and extended to the full length of the beam. The concrete was allowed to harden for 30
days before the prestressing of the cables was performed. For BS1, the induced
prestressing force was 107.6 KN in each strand, whereas in BS2, the force was 112.6 KN
in each strand. Dimension errors between the two beams caused a slight return effect of
the jacks after prestressing, causing the difference in the force between the two.
Gages were mounted on the beams at mid span, and on the reinforced bar in the
concrete slab, and another two were installed to measure the slip between the steel beam
and the slab at each side of the longitudinal beam. Two strain gages were also mounted
on the prestressing strands. Those were calibrated before each test. The loads were
exerted on the specimens with a 500 KN hydraulic jack via a loading beam. Figure 11
shows the general setup of the conducted tests. The gauges mounted on the slab and the
beam are visible, as well as the prestressing cables.
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Two tests were carried out on beam BS1; one before prestressing, and the other
after introducing the prestressing cables. For the first test, the behavior was initially linear
elastic. The extreme fiber at mid-span yielded at a measure 160 KN load. After that it was
obvious from the stress strain diagram that nonlinear behavior of the system governed.
The test was stopped at a measured deflection of 24.5 mm. The section was then
unloaded and the residual deflection was recorded at 7.2 mm. For the second test, the
beam was prestressed at 107.6 KN at each side. This caused an initial observed deflection
of 4.5 mm in the opposite direction (upwards). The load was then applied once again to
the specimen, and increased gradually. The deflection increased proportionally to the
load, and linear elastic behavior could be observed. Nonlinear behavior was calculated at
a bottom mid-span bending moment of 255.3 KN-m (159 KN-m without the prestressing
cables). The deflection for that moment was calculated at 19.1 mm. At a load of 363 KN,
(342 KN-m bending moment at mid-span) cracks started to appear in the concrete slab.
Simultaneously, sudden changes in the measured strains of the reinforcement steel in the
slab were also observed. Eventually the maximum moment reached in the experiment
was 160 KN-m at mid-span, with a maximum defection of 80.8 mm (L/62). The slip
34
between the concrete slab and the longitudinal beam was not observed before the
cracking of the concrete. Eventually it reached 0.5 mm at maximum loading condition.
The prestressing forces in the cables increased linearly with the increase in
loading of the system. This observation was not maintained after the yielding of the
beam. In fact, after the beam yielded, an obvious nonlinear increment in the prestressing
force was observed. The prestressing force was 193.9 KN when the maximum moment at
ultimate state was developed. This is approximately 80% higher than the force at the
initial state of prestressing (7).
Test 2 was conducted to beam BS2. The only difference is that BS2 was cast and
directly prestressed, as opposed to BS1 where fatigue loading was applied to the beam
before it was prestressed. As mentioned earlier, the initial prestressing force in the cables
was 112.6 KN, producing an upward deflection of 5.7 m. When the moment reached
248.6 KN-m the bottom steel flange was yielded (255.3 KN-m in BS1). The prestressing
force at that stage was 148.7 KN, and the deflection 19.9 mm. The moment deflection
curve appeared nonlinear when the mid-span moment reached 270 KN-m. Longitudinal
cracks appeared on the slab at a moment of 373.2 KN-m. The deflection at that point was
82.1 mm. The prestressing force at the maximum moment condition (373 KN-m) was
measured at 218.5 KN, which is 94% higher than that of the initial applied force. The
maximum slip was similar to BS1, at a maximum value of 0.6 mm on the left hand side
of the apparatus (7). Table 1: Comparison between samples BS1 and BS2 compares the
different results obtained from the two test samples.
215.2 KN 172.6 KN-m 255.3 KN-m 19.1 mm 360.0 KN-m 80.8 mm
225.2 KN 211.7K- 248.6 KN-m 19.9 mm 373.2 KN-m 82.1 mm
Table 1: Comparison between samples BS1 and BS2 (7)
Before the yielding of the beam, the increase in the prestressing force in the
cables increased linearly with the increase in the applied load. After the yielding, the
increase developed nonlinearly. Substantial prestressing force was incrementally
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increased at the ultimate state of the beam. The deflections at the ultimate state were
approximately 4 times those at the preliminary yielding state for both beams.
According to Mancarti (1984) and Farnan (1989), more than 120 steel and
concrete bridges had been strengthened on California's highway system and an additional
240 were on the list by the year 1989. Although many researchers studied the behavior of
prestressed steel under static loading, few studies have been published on their fatigue
behavior. Since the primary application of prestressing is in bridges, fatigue analysis
should be considered as an important factor in the design of the tendons. Wulin Lee and
Pedro Albrecht and Hamid Saadatmanesh decided to explore the effect of fatigue stresses
on prestressed bridges in 1995 (10). Their analysis explores the behavior of individual
components as well as the entire structural system of composite steel-concrete girders
prestressed with seven wire strands.
The first element that was analyzed for fatigue behavior was the strands. Data
were collected from 13 different studies. The strands that were analyzed in these studies
as separate tensile specimens subjected axial, cyclic forces applied at the ends. A total of
832 specimens were fatigue tested, and 700 test results were retained for analysis in the
aforementioned study. Of those, 595 failed away from the grips and 26 failed at the grips.
The remaining 79 sample did not fail after 1,000,000 to 10,000,000 cycles.
The analysis indicated that the stress range in which the bridges would be
subjected to has the greatest effect on the fatigue strength of strands. Minimum strength
should be considered when designing the strands for fatigue. The conclusion of the
analysis can be summarized in two major points. The first is that bridges with a lower
minimum stress have higher risk of failure away from the grips. The second point is that
when the minimum stress that the tendons are applied to is lowered, the fatigue strength
increases significantly. Researchers in general grip the tendons in a way they wouldn't
fail on the grip, but in the strand. Such research grips are not commercially available for
practical installation and use. For this reason, only a few test analyses fail at the grip.
Judging by the available data that this paper has collected, failure at the grip can be easily
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prevented given that the designers make sure that the manufacturer provides the right
system.
3.0 Implementation of Theory in Rehabilitation
The following chapter will discuss in more details the design methodology that
was explained. An existing example of a bridge that has been rehabilitated by exterior
post tensioning will be used as a reference and a guide to further illustrate how the
process works.
The bridge selected for description is located in north central Iowa in Cerro Gordo
County, approximately 12 miles south of Mason City, and 7 miles east of Thornton Iowa.
The structure is a three span continuous composite bridge. The exterior spans are 45 ft
and 9 in. and the middle span is 58 ft and 6 in. The concrete deck is supported by four
girders (two exterior girder that are W21x62, and two interior girders that are W24x76)
that are spliced at the nominal dead load inflection points in the center span. Steel wide
flange diagrams are located at 1/3 rd points of the middle span and at the midpoints of the
end spans. These help transfer lateral loads across the bridge from one girder to the other.
The bridge section is 26 ft wide with a 24 ft roadway (2 lanes). The concrete deck has a
variable thickness from 6 7/16 in over the girders to 6 in between the girders (12).
In general, the design process is divided into two main steps. The first step
involves calculating the live load and dead load stresses in the bridge girders. The next
and final step in the design would be the simple calculation of the overstresses in the
girders at the critical locations. According to the overstress level, the post tensioning
cables can then be designed. The Iowa Bridge we are dealing with was rehabilitated using
two very common techniques. The first is post tensioning the positive moment region,
and the second is adding trusses at the negative moment regions (at the piers). The
moments and stresses in the girders were computed using the Iowa DOT standard
procedures (12). These procedures are useful in terms of determining the distribution of
loads on the girders. Given the section properties of the exterior and interior girders, the
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overstresses can be calculated. It can be seen in Figure 12 that the maximum positive
moment in the both the interior and exterior girders was measured at 22.5 ksi. This is
above the inventory limit of 18 ksi that was given. For this reason, strengthening had to
be provided to compensate for the 4.5 ksi difference. Parameters such as the location of
the brackets were varied in order to find the optimum solution for the cable design. The
analysis provided moment and axial force diagram for the different stages of
rehabilitation. This helps in really identifying the effect of prestressing on the system.
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Figure 12: Stresses in Interior Girders before Post-Tensioning (12)
3.1 Instrumentation Used
Fifty six strain gages were located on the top surface the bottom flange of the
girders. Some of the gages were also located on the bottom surface of the top flange
(Figure 13). Strain gages were also attached to the guardrails on top of the bridge at ten
different locations along the length of the bridge. These provided a good indication on the
effect of the guardrails on the overall stiffness of the bridge. Similar strain gages were
welded on the bridge using a portable hand probe spot welder. The main feature of these
gages is that they can be installed while the bridge is still open to traffic. They are also
usable immediately after installation (12).
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Figure 13: Location of Strain Gages on Girders (12)
Each of the tendons was instrumented with two conventional strain gages to
monitor forces in the cables. These were mounted on opposite sides of the tendons so that
the force can be directly measured. Two size tendons were used in strengthening, one of
which had a 1 in. diameter, and the other 1 in. diameter, both of which were
instrumented diametrically with gages. These were installed in the laboratory before
bringing the cables to site (12). All the gages were temperature compensated and
waterproofed for they are exposed at all times. The proposed scheme of active control on
external prestressing will require similar water and fireproofing that would guarantee to
last for a long period of time. A total of 166 gages were monitored during the testing
procedure. Twenty four of these were on the negative moment rehabilitation system, the
truss tubes. This system will not be discussed in any detail in this report. More than one
data acquisition system was required to read the data from the gages. A HP 3852A wired
to monitor 30 gages, and a HP 3054 wired to monitor the remaining gages and the
vertical deflection instruments were utilized in the field (12). Vertical displacements were
measured at twelve different locations using direct current displacement transducers
(DCDT's). These were located at the midpoint of the three spans on all four girders. At
each location the DCDT's were supported by a telescoping pipe that was driven into the
ground. The pipe stands were stayed with a system of cables for more stability. In the
proposed scheme, these instruments would have to be maintained on the bridge for a very
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long time, meaning that a more suitable and more stable housing system would have to be
utilized. Finally, the longitudinal motion of the bridge during prestressing had to be
monitored. For the purpose, crack monitors were positioned at each abutment to measure
longitudinal movement of the bridge.
For corrosion protection, the tendons were given a 3M Co. fusion-bonded powder
epoxy-coating (12). These were factory coated, and could be subjected to harsh
scratching during delivery or installation. For this reason, they were recoated on site after
the full erection process is complete, using the same material. The final protection step
and perhaps the most important would be protection of the connecting brackets. These
brackets should not be subjected to any risk of corrosion of any kind, because their
destruction means the complete and brittle loss of prestress in a matter of millisecond,
which renders the bridge in a critical condition. For this reason, the brackets were primed
using Iowa approved red-oxide type 2 primer, and painted using an Iowa DOT Foliage
Green finish coat. As in the case of the cables, protection of the brackets was installed in
the laboratory. When necessary, the exposed scratched elements of the brackets were then
touched-up using the same procedure (12). All of the exposed nuts and bolts were
primed and painted prior to leaving the field as well. It is necessary to understand that
this rehabilitation process is extremely useful in terms of the added stiffness to the bridge
and cost effectiveness, but has a major disadvantage discussed in earlier section regarding
the fact that cables and connectors such as the brackets themselves or the bolts are
exposed to air making them extremely susceptible to corrosion and fire. It is of major
importance to pay enough attention in protecting these elements before the field work is
completed. Sometimes portions of the girders or the connecting diaphragms have to be
cut for the proper installation of the tendons. Steel is extremely vulnerable if the cut is not
handled properly. The proper way to deal with it is to torch it into a smooth surface
before it gets primed and paint it.
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3.2 Load Tests
Load tests had to be performed before and after rehabilitation to figure out the
deficiency in the bridge and the effectiveness of the post tensioning system. For the
purpose of the study, truck loads were used to symbolize the loads that the bridge might
be subjected to. Figure 14 shows the wheel configuration of the selected truck and load
distribution of the front and rear sides, as well as the location of the center of gravity of
the truck. The center of gravity will be used as the location of the applied force on the
bridge. Single load cases were first studied. These take into consideration the availability
of only one truck on the bridge at a time. Later on, multiple trucks will be positioned at
one time, and the results will also be analyzed and interpreted. The dimensions and loads
of the used trucks can be seen in Figure 14 and are detailed below in Table 2.
LIZ
a
C.G.
h
F
H
H
T
Figure 14: Truck Wheel configuration and Loads (12)
I1 I83.5 I179 I53.5 I72 1 206 1152.11 39,460 14,240 I53,700
2 80.5 180 50.5 72 1206 142.2 34,400 15,640 50,040
Table 2: Design Truck Detailing and load distribution (12)
As mentioned earlier, in addition to loading the bridge with single truck loads,
pattern loading will also be investigated. A total of trucks at a time would be an optimal
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number to analyze, the reason being that the bridge has two lanes, and therefore it would
be impossible to house more than 2 trucks at a time. A third truck at a different location
would decrease the moment at the studied location, and therefore would not yield the
most critical results that the designer would be looking for. A total of twelve pattern load
cases were employed. Table 3 shows the different pattern loading cases that were
considered. Whereas points 1 through 7 indicate the longitudinal location on the bridge,
lanes 1 through 4 indicate the lateral location. The exact lateral location of the four
different lanes can be further illustrated in Figure 15.
Vercal Load Ponls *
Lane 1 Lane 2 Lane 3 Lane 4
Load
Case 1 2 3 4 5 6 7 1 2 3 4 5 6 7 1 2 3 4 5 6 7 1 2 3 4 5 6 7
PL1 * *
PL2 0 0
PL3 * *
PL 4 * *
PL5 0
PL6 S S
PL 7 * *
PL8 
PL9 S S
PL 10 0 0
PL 1II
PL 12 1 *
Table 3: Pattern Loading on the Bridge (12)
DA EA
F M c T V e
Figure 15: Location of Test Vehicles (12)
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3.3 Bridge Strengthening
Due to lack of jacking equipment, prestressing cables had to be installed two at a
time. The stages of strengthening started with truss erection, followed by post-tensioning
of exterior girders prior to interior girders. End spans were post-tensioned completely
before middle spans. Figure 16 graphically illustrates the aforementioned logic. The field
testing procedure was mandatory to obtain the necessary data for strengthening.
Throughout the process, the planted gages were collecting data, according to the different
loading schemes that were discussed, and prestressing forces were being modified
accordingly until an optimum solution was realized. In summary the process that was
utilized can be put into three simple steps that were iterated after every upgrade to the
system. The steps are as follows (12):
o Record zero strain and zero deflection readings.
o Apply loading. Loading can be vertical loading induced by the truck, or by the
installed truss system of post tensioning tendons.
o Record strain, post-tensioning force, and deflection reading once again.
o Repeat the previous steps for all loading conditions.
A finite element model of the bridge was created to try and solve the problem
using more than one method. The most challenging aspect of the model was the design of
the brackets. At first the forces were placed as point loads at the centerline of the location
of the tendons. After several iterations, the force was then divided along the area of the
bracket, which creates a more realistic model with more accurate results.
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Figure 16: Different Strengthening stages for the Bridge
As discussed in the design methodology section of the research, force and
moment diagrams are idealized into straight lines. These in turn define a number of
critical points.
A comparison was made between the axial force and moment diagrams obtained
using the finite element method, and those obtained by analyzing the different girders as
a continuous beam with a variable moment of inertia. It was realized that the maximum
difference between the two methods was 7%. Thus the conclusion was that the beam
assumption is valid and can be effectively used in future analysis, given that it is much
simpler to work with and requires less computational time.
3.4 Flexural Strength Model
The ultimate strength of the bridge stringers was to be determined before and after
application of the tendons. A comparison between the two results will prove the
effectiveness of post tensioning. According to Klaiber (12) it was determined that
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increasing vertical loads on the bridge caused a much more significant increase in the
strength of the girders, than it did in the post-tensioning tendons. This is mainly due to
the relatively small stiffness of the tendons as compared to the bridge. For this reason, it
was assumed that failure would occur due to the formation of plastic hinges in the bridge
itself rather than failure in the tendons. In order to determine the approximate flexural
strength in the girders, the following principles are recommended (12):
1. The failure pattern happens as plastic hinges occur at 3 locations.
a. At the maximum positive moment location in the end span, assumed to be
at 40% away from the support.
b. At the midpoint of the center spans.
c. At the centerline of the piers.
2. The deflection at the maximum positive moment location is assumed to be L/80.
3. The effective flange width can be determined according to AASHTO rules of
design.
4. Compressive strength of the slab can be determined using the AASHTO rules of
design.
5. The tendon strain can be obtained by comparing the current tendon position to the
idealized tendon position.
6. Tendon stress can be computed from an idealized stress-strain curve for the steel.
3.5 Test Results
Klaiber Et. al wanted to illustrate the effect of the strengthening technique on the
stiffness and ultimate load capacity of the bridge. For this reason, bride strength was
determined at three different stages. The first stage was before any rehabilitation work
was conducted, the second was after the truss strengthening, and the third after the
complete post tensioning tendons were installed and prestressed. Comparison between
the three stages allows us to understand the extent and effectiveness of the rehabilitation
scheme. Bridge strengthening was applied on many different stages as explained earlier
due to the unavailability of equipment. The forces that were applied during the post
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tensioning stages are summarized in Figure 17. It is worth noting that as an additional
stage is implemented, the forces in the pervious stages change due to the effect of
continuity between the different elements of the bridge. The force change percentage
ranged from -3.5% to 3.8%. There was also a difference between the theoretical forces
that were calculated in the finite element model and between the actual applied forces on
the field. In the majority of the situations, the practically applied force was bigger than
the theoretically calculated force. The maximum percentage difference between the two
was calculated at 7.5%.
- 47 159 55 158 45 46 158 158 44
76 84 77 79 84 77
76 80 7676
- 4 H156H 5g 181 47 -i45 155 57 H10H 47 -
a, INITIAL FORCE APPUED b. FINAL FORCE
Figure 17: Final forces in the tendons after 8 stages of rehabilitation (12)
The DAS's that were planted on the bridge could measure the vertical deflection
at the different stages of prestressing. Figure 18 shows the upward and downward
deflection that one of the girders feels as a result of each of the 8 different stages of
prestressing. It can be noted that stages 2, 7, and 8 cause a negative deflection, while the
other stages cause a positive one. The most significant stage on the deflection of that
girder was stage 6 simply because it involves that specific area in particular. It can be
observed that the maximum positive deflection (upward deflection) is 0.95 in.
Similar to the vertical deflection, strain at the different locations was measured
after every strengthening stage and averaged. A set of figures that show the strain on the
interior and exterior girders were developed. These diagrams compare also theoretical
values obtained with the actual measured values. The finite element model used to obtain
the theoretical results assumed a concentrated force acting on the contact points whereas
in reality the force is distributed over the area of the brackets. This combined with the
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errors that result from neglecting the effect of the guardrails on the overall stiffness,
explains the small difference between the observed and the theoretical models.
0.10
0.08
0.0
0.04
D
2 3 4 5 6 7 6
STRENGTHENING STAGE
Figure 18: Change in Deflection after to the different strengthening stages (12)
The effect of prestressing can be more elaborately explained by comparing the
strain diagrams at different cross sections of the bridges before and after prestressing.
Different figures show the plotted strain diagram for the bridge cross section when
subjected to the different loading conditions discussed earlier. Figure 19 shows the strain
diagram for one of the most significant conditions would be a single truck located at the
midpoint of the center span (3 rd lane, 5 h loading position on the bridge - Check earlier
discussion for elaboration). Notice that the strain in the cross section after prestressing is
approximately 1/3 that before prestressing.
200
i10o
CO)
-0'
STR1 STR2 STR3 STR4
Figure 19: Bottom Flange Strains at the Middle Section (12)
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It is worth noting that the reduction in the bottom flange strain can only be
achieved with such effectiveness when strengthening against positive moment is coupled
with sufficient strengthening against negative moment as well. As discussed earlier, this
can be achieved by adding necessary truss system at the piers and supports.
In addition to regular single vehicle loading cases, Klaiber (1993) decided to
apply pattern loading and test the bridge for performance under two trucks
simultaneously available on the bridge. Table 3 shows the different loading patterns that
were studied. These were selected to maximize strains at specific locations.
The percentage changes in the tendon forces due to the application of the vertical
loads can be seen in Figure 20. The location of the trucks in the analysis was not
optimized so that the maximum forces in the tendons would be achieved. For this reason,
the values are not necessarily the maximum forces that the tendons will be subjected to at
the extreme loading condition. The maximum increase in tendon forces was 7% while the
maximum decrease recorded was 1.7% (12). The changes in load differed between the
interior and exterior hinges with different loading conditions. When loaded on lane 1, for
example, the increase in the force increased much more in the exterior hinges than in the
interior hinges. The maximum recorded increase was 12%, while the maximum decrease
was 2.9%. For a single vehicle load case, the loaded span deflects downward, while the
adjacent, unloaded span deflects upward. Pattern loading cases have also been monitored
in terms of causing changes in the tendon forces. Figure 21 shows the change in actual
numbers of the tendon force when the bridge was tested against pattern loadings 1, 2, 7,
and 8. It is worth noting that the decrease in tendon force can decrease for the simple
reason that the bridge is continuous. In a simple span bridge, an application of a vertical
load can only mean increasing the force in the post tensioning cables. In a continuous
bridge, the location of the load, on the specific spans, causes a difference between an
increase in the force on that span, and a decrease in the adjacent span.
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Figure 20: Percentage Change in Tendon Forces due to single truck loading (12)
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Figure 21: Force Changes in the different tendons due to pattern load application (12)
4.0 Design Procedure for a Simply Supported Bridge
This section will discuss in more details the procedure that the tendon design will
be conducted. Elaborative formulas will be provided together with a design example. The
example will be similar to the bridge discussed in chapter 3. The methodology of design
will be applied step for step with typical numbers and assumptions. Finite element
analysis is fairly simple to conduct, but the purpose of this section is to create simple
design procedure that would give the tendon post tensioning force for a given loading
scheme on the bridge. This will serve as a good reference program for the case of active
control. The reasoning behind active control is trying to find a way to modify the force of
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prestressing with different loading conditions. The tendons would have to be prestressed
to give a specified deflection of the beam. If this deflection is exceeded, the tendons are
prestressed stronger to ultimately reduce the deflections to the desired value.
In order to analyze any bridge for deficiency and therefore decide whether or not
external post tensioning is needed for rehabilitation, one must know the different section
properties. Once the section properties are identified, the ultimate load carrying capacity
can be calculated. Using load testing, the current service capacity can be determined.
Comparing the current capacity with the ultimate capacity enables us to identify the
intensity of the structural deficiency in the bridge. The required moment resistance that
the bridge should support would be compensated by axial force added to the post
tensioning tendons. The load tests that would have to be performed require planting
vertical deflection gages at certain locations on the girders. By passing a specific load on
the bridge, the deflection would be measured, and the load carrying capacity determined.
Given that the bridge at hand is structurally deficient, the measured carrying capacity
should be a percentage of the original ultimate load carrying capacity. As mentioned
earlier, the post tensioning cables would then compensate for the deficiency. Active
control involves a similar process. The deflection gages would be permanently installed
on the girders, and would measure the deflection at a regular basis. The measurement
would be directly sent to a processing system mounted nearby for the purpose of
analyzing and adjusting the cable tension. The system would be programmed to send
signals to an activator in case the deflection in the bridge was not at or close to the
optimal deflection that the designer aims for. Eventually, what is aimed at in this research
is to create a linear relationship between the vertical deflection measured on the bridge
and the required axial force applied to the tendons.
The bridge taken into consideration is a simply supported two lane bridge. Figure
22 shows a cross sectional view of the bridge structural system. The two exterior girders
have a W21x62 section and the two interior girders have a W24x76 section. The girders
are connected to the concrete slab by studs, making the section work compositely. Table
4 summarizes the properties of the two sections that compose the girders. The concrete
slab is assumed to have a thickness of 15cm (-6 in). In the optimal situation, the concrete
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in the slab would be working totally in compression, aiding the girders in the moment
carrying capacity. After years of use, the concrete would start cracking due to fatigue
conditions. This reduces the ability of the slab to resist moment alongside the girders.
This, accompanied by the fact that the steel girders will get exposed to various
weathering and aging conditions, will render the bridge cross section incapable of
resisting the load as efficiently as it was designed to. Load increase adds to the severity of
the problem. A combination of the aforementioned factors causes large deflections that
the post tensioning cables should fix.
W 21x62 1 18.3 1 21.0 1 0.40 1 8.24 1 0.625 11330 1 127 1 8.54 1 57.5 14.0 11.77
W 24x76 22.4 23.9 0.44 9.00 0.680 2100 176 9.69 82.5 18.4 1.92
Table 4: Interior and Exterior Girder Section Properties (12)
Bridge
Dimensions
6 in.
I I +I I
W 21x62 W 24x76 W 24x76 W 21x62
24 ft
Figure 22: Selected bridge section dimensions
The first step in the design of the tendons would be to get the moment of inertia of
the bridge sections that were designed for in the original plans. This can be done by
simple analysis of the given data. The steel girders are working compositely with the
concrete deck, and therefore I Composite should be obtained. In order to do so, all
dimensions and girder section properties should be available. A sample calculation of the
composite moment of inertia of the sections described in Figure 22 can be viewed in the
appendix of this report. The dimensions of the cross sectional distribution of the
composite girder/slab section for the specific bridge is presented in Figure 22 and Figure
24. This distribution helps obtain the composite section properties that are required for
the design.
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Bridge Section
Dimensions in Inches
24 ft = 288 in.
8.5 85.83 9 81.33 9 85.83 ,8.5
II I I
Figure 23: Bridge Section Dimensions
56 in. 88 in.
W 21x62 W 24x76
Figure 24: Composite Section Distribution
After calculating the moment of inertia of the composite section as it was
designed for, the next step would be getting the moment of inertia of the bridge at its
current status, before rehabilitation. This serves in assessing the deficiency. Trucks of
specific dimensions and weights (Figure 14, Table 2) are placed at specified locations on
the bridge (midpoint for convenience). The deflection on different locations of the bridge
is then measured. Specific formulas that relate the deflection, applied load, location, and
moment of inertia are then utilized to calculate the new inertia of the girders. Equation
1.0 displays the aforementioned relationship for a simply supported bridge girder.
11PI :
768EI
(Equation 1.0)9L/2 = P48EI
Albeit that the truck load exerted on the bridge is distributed over 6 wheels that
are several feet away, the analysis will consider that the truck applies a point load located
on the center of symmetry (Figure 14). This approximation limits the accuracy of the
procedure but simplifies the calculation process. In order to find the moment of inertia of
the different girders, we have to be able to distribute the load of the test truck onto the
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four girders that are supporting it. For purposes of simplicity, the test truck will be
located such that its center of symmetry lies on the midpoint of the cross section. Given
the truck's dimensions (Figure 14) and the cross section distribution of the bridge girders
(Figure 13), one can easily divide the load coming into the four girders. Figure 25 clearly
shows the assumptions and truck load distribution that were discussed.
Longitudinal Load Distribution
L/2 L/2
100 ft
Cross Section Load Distribution
26.85 26.85
Kips Kips
8.5 85.83 9 81.33 9 85.83
24 ft = 288 in.
Figure 25: Test Truck Load Distribution
In order to measure the vertical deflection of the different points on the girders,
the best approach would be to relate the movement of the girders to a stable structure.
This structure would be usually located on the ground under the bridge. Given the fact
that the bridge might be located over a highway or a water passageway, locating the
relative structure on the ground is not an option. To fix the problem, the structure would
have to be connected to the bridge, without deflecting with the girders. For this reason,
the structure will be connected between the piers. Figure 26 describes more elaborately
the proposed scheme.
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Figure 26: Deflection Measurement Structure
Perhaps one of the most important disadvantages of this scheme is that it reduces
the elevation difference that the bridge has with the ground level. For this reason, a more
suitable idea would be to use strain gages instead of deflection gages as measurement
methods. Those would relate to the stress condition of the girders. Different formulas
would have to be generated for the purpose. Strain gages also have a disadvantage in that
their lifetime would not exceed two years at best condition of use.
According to the aforementioned distributions of the test truck load in the cross
section of the bridge, the loads that are carried by each of the four girders can be
calculated. For the test truck location that is suggested, and for the girder distribution of
the specific bridge dealt with in this research, the exterior girders will carry 5% of the
load in the upward direction, while the interior girders will carry 105% of the load in the
downward direction. Given the weight of the test truck used in this experiment (Figure
25), the exterior girders would have a reaction of 1.34 kips each, and the interior girders
would have a reaction of 28.19 kips each. These loads will be used in Equation 1.0 to find
the current moment of inertia of each girder.
One disadvantage of this method is that it assumes that the bridge sections have a
constant moment of inertia throughout the length of the bridge. It is a known fact that the
reason for rehabilitation is cracking of the concrete and corrosion or aging of the steel
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girders. These phenomena occur differently on different locations due to many factors.
Since the bridge, however, is a simply supported bridge, and therefore is prestressed with
only 2 sets of cables, the approximation that was made can be considered to be fairly
close to the real case scenario. When the bridge becomes more complicated (2 span or a 3
span bridges), then analysis of individual spans would have to be conducted, and
different post tensioning cables would be provided to prestress the different spans. To
help mitigate the problem, the beam deflections will be measured at three different
locations, namely at quarter length, half length, and three quarters the length of the
bridge. The three deflections will be measured via vertical deflection gages that will be
mounted on the girders of the bridge. The discrepancy in the calculated inertia from the
three measurements can be explained by the aforementioned fact that the inertia should
not be constant at all sections of the bridge. The smallest of the measured Ii, 12, and 13
will be used as a reference to proceed with the design process. The reason for doing so is
that there is only one pair of post tensioning cables on every girder, and therefore we can
only apply one force to counter balance the deficiency. Equation 1.0 can be transformed
to get it in the appropriate form in order to find the unknown value I as follows:
1 1PLP 11PL? PLeIi = 768E.5 ; I2= 1P ; 13= PL3  (Equation 2.0)
768E3L/4  768/E5 3 , 4  48E6L 1 2
When the steel in the girders is corroded, the modulus of elasticity of the steel will
be reduced at that section. This analysis assumes that E does not change, and puts the
whole effect of deficiency on the modulus of elasticity I.
According to the LRFD steel design manual, the maximum moment carrying
capacity for a section with a certain moment of inertia I can be calculated using Equation
3.0. The yield stress of the steel is considered to be 50 ksi. The distance from the neutral
axis to the extreme fiber differs with different conditions. When the concrete is cracked,
the section is considered to stop acting compositely and the deck is therefore considered
not to contribute to the carrying capacity. This causes the value of c to decrease. In our
analysis, the percentage of concrete that has cracked is not a known value. For this
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reason, the new value of c cannot be estimated. Since max M capacity of a beam
decreases inversely with respect to c, and since c increases inversely with respect to
cracked concrete percentage, it would be conservative to consider in a given lifespan that
c has experienced no changes although the concrete has probably sustained significant
cracking. For this reason, the moment carrying capacity of the beam can then be
considered to have a linear relationship with the moment of inertia. This means that a
decrease of 10% in the moment of inertia of the beam causes a decrease of 10% in the
moment carrying capacity of the beam.
MMax = pg . (Equation 3.0)
c
Using Equation 3.0, the maximum moment can be calculated for each girder
(composite section) according to the design standards. Then after the bridge testing is
performed to assess the new moment of inertia, a percentage decrease can be calculated.
This same percentage decrease is used to calculate the required moment due to
prestressing by multiplying it by the original maximum moment capacity. Equations 4.0
and Equation 5.0 illustrate the aforementioned analysis steps:
%Decrease = 'Curre" (Equation 4.0)
'Composite
Mretresng = %Decreasex MMax (Equation 5.0)
The final step in the design of the post tensioning cables comes in relating the
prestressing force to the required moment that they should provide. Certain design
parameters would have to be selected. The profile of the tendons, their vertical location
and the extent of their extension towards the abutments of the bridge are the three main
parameters that need to be identified in order to carry on with the design. Previous
analyses have proved that the best tendon profile to counter balance the deficiency would
be a parabolic profile. Given the difficulty of implementing it in practice, the next best
profile would be one that has deviation points at certain locations. Those would help
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create an opposing moment on the girder with less required axial force. On the other
hand, analysis of draped profiles is quite harder than simple straight profiles. Since this
research aims at taking a big problem, and minimizing its complications to create an easy
fast solution, it would be inappropriate to complicate the design of the tendons. For this
reason, the tendons will be considered to have a straight profile.
Regardless of the parameters described above, the effect of the prestressing cables
on the system can be explained in a series of diagrams available in Figure 27. The
counter balancing moment created by the cables can be calculated by identifying the
eccentricity that those cables have with the neutral axis of the girder, which is taken at the
centerline. The assumption that the concrete slab is fully cracked forces one more time
the neutral axis to be at the midpoint of the steel girder. Figure 28 shows the simplified
reasoning behind the entire research. The exact location of the anchor effects the
maximum desired moment at that location. Case to case analysis would have to be
conducted, and the maximum resulting moment at the location of the tendons would have
to be calculated.
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Figure 27: Effect of the post tensioning tendons on the Girders
Vehicle Induced Moment Diagram
iuTendon Induced Moment Diagram
Resulting Moment Diagram
Figure 28: Desired moment diagram resultant
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The last thing that hasn't been dealt with so far is the actual axial force required.
After the required counter balancing moment for the most critical cross section (mid
span) is calculated, all that is required is to convert that into an axial force. The
eccentricity of the cables is the only factor that can be played with. Equation 6.0 gives a
relationship between the desired moment, the axial force, and the eccentricity of the
cables.
FAia= MRe quired (Equation 6.0)e
This chapter has described in detail the design procedure of the post tensioning
cables. Certain assumptions were considered either to simplify the analysis or for lack of
necessary data. In general the intention of the design procedure is to get a close estimate
of the axial force required in every steel girder of a simply supported composite bridge.
Inaccuracy in the aforementioned procedure and error that might occur in certain
elements of the constructed product, such as steel relaxation, slipping, and creep effects
will be compensated by an additional 8% force applied on the prestressing cables. The
following section will summarize the procedure of design, while stating the primary
assumptions that were taken at every step, and finally given one linear formula that
relates the weakness (deficiency) of the bridge to the applied force on the girders.
The moment diagram created by the live vehicle loads passing the bridge should
be entirely carried by the girders. After a certain period of time, the concrete slab is
cracked and the girders are weathered at certain locations, the fact that reduces their
moment carrying capacity. A new rehabilitation system should be introduced to counter
balance the moment created by the vehicles. Post tensioning cables are introduced at a
certain eccentricity to the neutral axis of the girder/slab section. Axial force acting on the
tendons at the specified eccentricity helps create the necessary counter balancing
moments. The issue in the design is to find out the necessary axial force that should be
applied for a specific bridge that is deficient to a certain level. The steps for calculating
this force are summarized next, and the assumptions that were made on every step are
noted.
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1. The original moment of inertia of the sections can be obtained by simple
calculations described earlier. The girders are designed to work compositely with
the concrete slab.
2. The moment of inertia of the current bridge girders would then be calculated by
field testing. The modulus of elasticity of the bridge is considered to remain
constant although the girders have corroded on several locations. The modulus of
elasticity of the longitudinal girders is acknowledged to have different values at
every cross section. This fact being hard to calculate, three different modulus of
elasticity will be measured at three different locations due to three different
deflection values obtained, and the most severe one will be utilized for the design.
3. The relationship between the original modulus and the current modulus is
assumed to be exactly proportional to the relationship between the original
moment carrying capacity and the current capacity. The distance between the
neutral axis and the extreme is assumed to stay the same throughout the years,
although this is not the case. The assumption was taken to give the design a more
conservative touch.
4. The desired effect is to obtain a moment carrying capacity equal to the design
capacity. The current maximum value of the moment diagram will be subtracted
from the original designed value, and the result should be compensated by the
cables' axial force.
After calculating the moment of inertia of the composite section, say on the right
exterior girder, if we consider that the lowest current inertia was found at the quarter
length, Equation 7.0 can be utilized as a simple linear relationship between the required
axial force and the measured axial deflection.
Fiai = 1.08 x 0.9 1 - x1P FY Icomp (Equation 7.0)
768EL/ 4 ICOmp) eXc
If we consider the sections selected for the design example (W 24x76 for exterior
girders), the bridge dimensions (longitudinal and cross sectional dimensions), and the
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truck loads described above (total of 26.85 kips on each side), we can get an estimate of
the force required. The cables will be located at 7.5 in. away from the neutral axis, and
the maximum deflection will be considered to be 5 in. at the midpoint. The following
values can be plugged into an equation similar to Equation 7.0 that relates the force to the
deflection in the middle instead of at quarter length, to get an axial prestressing force
FAxial =70 kips.
5.0 Active Control: Issues and Constraints
The principle adopted in active control of a prestressed steel bridge is similar to
the process of rehabilitating of the bridge in the first place. After the rehabilitation
process is performed, the next step would be to keep the desired moment carrying
capacity at the original design value. Sensors that were used for truck testing will be
utilized permanently for the purpose of calculating vertical deflections. These deflections
will be implemented in the aforementioned formulas (Equations 1 through 7). An
actuator will be mounted on the bridge and programmed to receive signals from the
sensors and transform them into axial forces. Equation 7 shows an important example of
a linear relationship between the deflection measured at different locations and the
required force in the cables. Figure 29 shows the different steps of active control.
Deflection Actuator
Sensors
Prestressing Mounted
Cables Jacks
Figure 29: Steps of Active Control
Active control on the bridge requires modification of the design of connections.
Instead of using regular brackets, the jacks would have to act as the connecting devise to
the bridge. Many issues can be considered of major concern when thinking about
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implementing active control. Those will be briefly mentioned in this report, but will not
be addressed in detail because of the complexities that have to deal with the mechanical
system of the jacks. The cables will have to be connected to the girders via the jacks. This
means that the jacks would have to be especially designed to transfer loads into the
girders in an accurate manner that resembles the design of the brackets. The weight of the
jacks would be and issue of concern and would therefore have to be addressed in the
analysis and design. The availability of a power source at all times to support the activity
of the jack is an important issue to address.
The desired active control that the bridge will be subjected to should work for two
case scenarios. The first is the short run application and the second is the long run
application. The short run application of active control is the more futuristic method of
controlling deflections. The jacks would be working at all times and should be ready to
pull on the cables at any instance. If a certain heavy truck passes over the bridge,
instantaneous measured deflections will be transformed into required forces which would
have to be supplied by the jacks within the instance. Time delays should be avoided. A
delay in prestressing will cause the bridge to be subjected to the strong moment resistance
at the wrong time. The truck would have already passed.
The second scenario for the use of active control is the long term application. The
entire post tensioning procedure is conducted to rehabilitate an existing bridge. The
bridge would then have to be inspected and rehabilitated every period of time. Instead of
having to redo the calculations, install the equipment and manually operate the entire
process, active control would work as a perfect solution. For the purpose of the long term
control, the speed of the jack would not anymore be of concern. The jack would not have
to be working at all times. The system would be programmed to get activated at certain
time intervals, and the process of rehabilitation would then take place, while the bridge is
active, with no need for any specialty contractor to be involved.
6.0 Conclusion and Recommendations
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After years of service, certain steel bridges turn out to be fatigued, worn out, and
ready to be replaced. Instead of replacing the existing structure by a new one, which is an
expensive alternative, creative rehabilitation schemes have been sought out in this report
to fix the problem. Post tensioning the steel girders was considered to be an appropriate
economic solution to the problem, and the procedure for design, the effectiveness of the
method, and the application to active control were issues of discussion in the report.
Prestressing tendons are installed on the girders of the bridges that are in need of
rehabilitation. Certain axial force is applied to these tendons through the power of post
tensioning jacks. This axial force, being applied at an eccentricity to the neutral axis of
the girders, creates a negative counter balancing moment load that is enough in reducing
the positive moment in the girders to a minimum value.
This research extends further in the analysis to discuss the possibility of
monitoring the deflections on the bridge on a regular basis. This monitoring can be
achieved via deflection gages that would be installed on the girders at different locations.
Monitoring the deflection would then help create a system of active control that uses the
methodology described in rehabilitation for permanent fixing and refining of the
prestressing force in the cables, depending on the type of load that is applied or felt.
Maintaining active control requires obtaining expensive equipment that has not
yet been created for the purpose of permanent use on a structure. The jacks are still large
enough to create trouble due to their weight and price, and the speed of their reaction.
This speed is an essential element in creating an efficient active control scheme. The
scope of this research has covered in detail the design methodology as well as procedure
of the prestressing cables. This design tries to simplify the problem as much as possible
by taking necessary assumptions. It would be recommended that future analysis be
conducted using more complex equations that eliminate the need for assumptions in order
to go on with the design. A more accurate model would then be created. The issue of
active control was touched on briefly in the report and the drawbacks were quickly
highlighted in chapter 5.0. The issues discussed in that chapter should be dealt with in
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more detail in future research in order to answer many related questions of the possibility
of actually implementing the short run control scenario to steel bridges nationwide.
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Appendix - Calculation of Composite Moment of Inertia
Data for the following analysis can be obtained from Table 4!
Transform concrete section into an equivalent steel section:
n= = =0.08
f, 50
=> ATrf. = 528 x 0.08 = 42.24 in 2
Using a Transformed Width of 88 in, the depth of the section becomes:
42.24
t= 8 =0.48 in
Nd t88
Need to find I com,,p. To do so, we need to start by finding the new Neutral Axis:
= Aid +A 2d2 _ 22.4 x (12+0.24)+42.24 x 0.24 = 4.28 in
Al +A 2 LL.4 + 4L.4
from the top
> ICOMP. = I + Asteel (12.24 -4.3 8)+ Ic+ Ac (4.38 -0.24)
where ITC - 88x.483 =0.81 in4
12
=> IcomP = 2100 +22.4 x 7.86+0.81+42.24x 4.14 = 2451.75 in 4
Similar procedure will be conducted for the exterior W 21x62 Sections:
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88 in.4o
56 in.
n - = = 0.08f, 50
-ATrn. = 336 x 0.08 =26.88 in 2
t 
=
26.88 = 0.48 in
56
ITC = 0.81 in 4
- Ald + A2 d 2  18.3 x (10.5+0.24) + 26.88 x 0.24 .49
A +A, 18.3+26.88
from the top
-> IcOnp = 1330 +18.3 x (10.74 - 4.49) + 0.81+ 26.88 x (4.49 -0.24) = 1559.425 in4
66
References
[1] Kenneth F. Dunker and Basile G. Rabbat (1995), Assessing Infrastructure
Deficiencies: The case of Highway Bridges, Journal of Infrastructure Systems, June
1995, 100 - 107
[2] W. M. Kim Roddis (1993), Structural Failures and Engineering Ethics, Journal of
Structural Engineering, May 1993, 1539 - 1554
[3] Survey collected by the National Bridge Inventory (NBI), Retrieved on the 1" of
April 17, 2007 from http://www.fhwa.dot.gov/bridge/britab.htm
[4] A. F. Daly and W. Witarnawan (1997), Strengthening of Bridges Using External Post-
Tensioning, Agency of Research and Development Institute of Road Engineering,
(October 2005), 1 - 16
[5] Andre Picard, Bruno Massictte, and Josee Bastien (1995), Relative Efficiency of
External Prestressing, Journal of Structural Engineering, December 1995, 1832 - 1841
[6] Matthias Pilz (1997), The Collapse of The K-B Bridge in 1996 A MSc Dissertation at
the Imperial College London, Lacer No. 2, 1997, 43 - 52
[7] Shiming Chen and Ping Ping Gu (2004), Load carrying capacity of composite beams
prestressed with external tendons under positive moment, Journal of Constructional Steel
Research 61 (2005), 515 - 530
[8] Ahmad el rmaily and Sherif yihya (2006), Use of External Prestressing to Improve
Load Capacity of Continuous Composite Steel Girders, Journal of Structural Engineering,
2006, 1-5
[9] Kiang Hwee Tan and Robert A. Tjandra (2007), Strengthening of RC Continuous
Beams by External Prestressing, Journal of Structural Engineering, February 2007, 195 -
204
[10] Wulin Li, Pedro Albrecht, and Hamid Saadatmanesh (1995), Strengthening of
Composite Steel-Concrete Bridges, Journal of Structural Engineering, December 1995,
1842 -1849
[11] H. A. El-Arabaty, F. W. Klaiber, F. S. Fanous, and T. J. Wipf (1996), Design
Methodology for Strengthening of Continuous-Span Composite Bridges, Journal of
Bridge Engineering, August 1996, 104 - 111
[12] Klaiber, E W., Wipf, T. J. Fanous, E S., Bosch, T. E., and El-Arabaty, H. A. (1993a).
"Strengthening of an existing continuous-span, steel beam, concrete-deck Bridge." Final
Rep., Iowa DOT Project HR-333, ISU-ERI-Ames-94403, Engineering Research Institute,
Iowa State Univ., Ames, Iowa.
67
